The electric cone penetration test (CPT) has been in use for over 40 years and is growing in popularity in North America. This paper provides some recent updates on the interpretation of some key geotechnical parameters in an effort to develop a more unified approach. Extensive use is made of the normalized soil behaviour type (SBTn) chart based on normalized cone resistance (Qt) and normalized friction ratio (Fr). Updates are provided regarding the normalization process and its application to the identification of soil type. The seismic CPT has provided extensive data linking CPT net cone resistance to shear-wave velocity and soil modulus. New correlations are presented in the form of contours of key parameters on the SBTn chart. These new relationships enable a more unified interpretation of CPT results over a wide range of soils. Updates are also provided in terms of in situ state parameter, peak friction angle, and soil sensitivity. The correlations are evaluated using available laboratory and full-scale field test results. Many of the recommendations contained in this paper are focused on low to moderate risk projects where empirical interpretation tends to dominate. For projects where more advanced methods are more appropriate, the recommendations provided in this paper can be used as a screening to evaluate critical regions-zones where selective additional in situ testing and sampling maybe appropriate.
Introduction
The electric cone penetration test (CPT) has been in use for over 40 years. The CPT has major advantages over traditional methods of field site investigation, such as drilling and sampling, because it is fast, repeatable, and economical. In addition, it provides near-continuous data and has a strong theoretical background. These advantages have led to a steady increase in the use and application of the CPT in North America and many other places around the world. In 1983, Robertson and Campanella published two major papers on the interpretation of the CPT Campanella 1983a, 1983b) . Since 1983, there have been several major publications on the interpretation of the CPT (Lunne et al. 1997; Mayne 2007) . Because of the growing use and experience with the CPT, the author felt that it was appropriate to provide an update on certain aspects of CPT interpretation. This paper will not provide a complete background on the use and interpretation of the CPT, as this has been covered by others (e.g., Lunne et al. 1997; Mayne 2007 ). The main objective of this paper is to focus on certain aspects that link CPT interpretation to soil type in a more unified manner. In an effort to present this unified interpretation approach, most of the suggested empirical correlations will be presented as contours on the normalized soil behaviour type (SBT) chart, first suggested by Robertson (1990) .
Significant developments have occurred in both the theoretical and experimental understanding of the CPT penetration process and the influence of various soil parameters. These developments have illustrated that real soil behaviour is often complex and difficult to accurately capture in a simple soil model. Hence, semi-empirical correlations still tend to dominate in CPT practice although most are well supported by theory.
The original Campanella (1983a, 1983b ) publications and also the book by Lunne et al. (1997) divided the interpretations of the CPT into those that relate to either drained cone penetration (i.e., coarse-grained soils) or undrained cone penetration (i.e., fine-grained soils). This approach will be continued in this paper, although the goal will be to integrate the two into a more complete system. Hight and Leroueil (2003) suggested that the appropriate level of sophistication for a site characterization program should be based on the following criteria:
Role of CPT in geotechnical practice
Precedent and local experience. Design objectives. Level of geotechnical risk. Potential cost savings. The evaluation of geotechnical risk was described by Robertson (1998) and is dependent on the hazards (what can go wrong), probability of occurrence (how likely is it to go wrong), and consequences (what are the outcomes).
For low-risk projects, in situ logging tests (e.g., CPT) and index testing on disturbed samples combined with conservative design criteria are often appropriate. For moderate-risk projects, the above can be supplemented with additional specific in situ testing, such as seismic cone penetration tests with pore-pressure measurements (SCPTu) and field vane shear tests (VST) combined with selective sampling and basic laboratory testing to develop site-specific correlations. For high-risk projects, the above can be used for screening to identify potentially critical regions-zones appropriate to the design objectives. This should be followed by selective high-quality sampling and advanced laboratory testing. The results of the laboratory testing should be correlated to the in situ test results to apply the results to other regions of the project.
A common complaint about the CPT is that it does not provide a soil sample. Although it is correct that a soil sample is not normally obtained during the CPT, most commercial CPT operators also carry simple push-in soil samplers that can be pushed using the CPT installation equipment to obtain a small (typically 25 mm diameter) disturbed soil sample of similar size to that obtained from the standard penetration test. The preferred approach and often more cost-effective solution is to obtain a detailed continuous stratigraphic profile using the CPT, then to move over a short distance (<1 m) and push a small diameter soil sampler to obtain discrete selective soil samples in critical layers-zones that were identified by the CPT. The push rate to obtain the soil sample can be significantly faster than the 2 cm/s required for the CPT and sampling can be rapid and cost effective for a small number of discrete samples.
Many of the recommendations contained in this paper are focused on low-to moderate-risk projects where traditional methods are appropriate and where empirical interpretation tends to dominate. For projects where more advanced methods are more appropriate, the recommendations provided in this paper can be used as a screening to evaluate critical regions-zones where selective additional in situ testing and sampling may be appropriate. Lunne et al. (1997) provided a detailed description on developments in CPT equipment, procedures, checks, corrections, and standards, which will not be repeated here. Most CPT systems today include pore-pressure measurements (i.e., CPTu) and provide CPT results in digital form. The addition of shear-wave velocity (Robertson et al. 1986b ) is also becoming increasingly popular (i.e., SCPTu). Hence, it is now more common to see the combination of cone resistance (q c ), sleeve friction ( f s ), penetration pore pressure (u). and sometimes, shear-wave velocity (V s ) measured in one profile. The addition of shear-wave velocity has provided valuable insight into correlations between cone resistance and soil modulus that will be discussed in a later section.
Equipment and procedures
There are several major issues related to equipment design and procedure that are worth repeating and updating. It is now common that cone pore pressures are measured behind the cone in what is referred to as the u 2 position (ISSMFE 1999; ASTM 2000) . In this paper, it will be assumed that the cone pore pressures are measured in the u 2 position. Due to the inner geometry of the cone, the ambient pore water pressure acts on the shoulder behind the cone and on the ends of the friction sleeve. This effect is often referred to as the unequal end-area effect (Campanella et al. 1982) . Many commercial cones now have equal end-area friction sleeves that essentially remove the need for any correction to f s and hence, provide more reliable sleeve friction values. However, the unequal end-area effect is always present for the cone resistance q c and there is a need to correct q c to the corrected total cone resistance, q t .
This correction is insignificant in sands, as q c is large relative to the water pressure u 2 and hence, q t * q c in coarsegrained soils (i.e., sands). It is still common to see CPT results in terms of q c in coarse-grained soils. However, the unequal end-area correction can be significant in soft fine-grained soil where q c is low relative to the high water pressure around the cone due to the undrained penetration process. It is now common to see CPT results corrected for unequal end-area effects and presented in the form of q t , f s , and u 2 , especially in softer soils. The correlations presented in this paper will be in terms of the corrected cone resistance, q t , although in sands q c can be used as a replacement.
Although pore-pressure measurements are becoming more common with the CPT (i.e., CPTu), the accuracy and precision of the cone pore-pressure measurements for onshore testing are not always reliable and repeatable due to loss of saturation of the pore-pressure element. At the start of each CPTu sounding, the porous element and sensor are saturated with a viscous liquid, such as silicon oil or glycerin (Campanella et al. 1982) . However, for an onshore CPTu, the cone is often required to penetrate several metres through unsaturated soil before reaching saturated soil. If the unsaturated soil is either clay or dense silty sand, the suction in the unsaturated soil can be sufficient to desaturate the cone porepressure sensor. The use of viscous liquids, such as silicon oil, has minimized the loss of saturation, but has not completely removed the problem. Although it is possible to prepunch or pre-drill the sounding and fill the hole with water, few commercial CPT operators carry out this procedure if the water table is more than a few metres below the ground surface. A further complication is that when a cone is pushed through saturated dense silty sand or very stiff overconsolidated clay, the pore pressure measured in the u 2 position can become negative due to the dilatancy of the soil in shear, resulting in small air bubbles coming out of solution in the cone sensor pore fluid and loss of saturation in the sensor. If the cone is then pushed through a softer finegrained soil where the penetration pore pressures are high, these air bubbles can go back into solution and the cone becomes saturated again. However, it takes time for these air bubbles to go into solution, which can result in a somewhat sluggish pore-pressure response for several metres of penetration. Hence, it is possible for a cone pore-pressure sensor to alternate from saturated to unsaturated several times in one sounding. Although this appears to be a major problem with the measurement of pore pressure during a CPTu, it is possible to obtain good pore-pressure measurements in suitable ground conditions where the ground water level is close to the surface and the ground is predominately soft. CPTu pore-pressure measurements are almost always reliable in offshore testing due to the high ambient water pressure that ensures full saturation. It is interesting to note that when the cone is stopped and a pore-pressure dissipation test performed below the ground water level, any small air bubbles in the cone sensor tend to go back into solution (during the dissipation test) and the resulting equilibrium pore pressure can be accurate, even when the cone may not have been fully saturated during penetration before the dissipation test.
Although pore-pressure measurements can be less reliable than the cone resistance for onshore testing, it is still recommended that pore-pressure measurements be made for the following reasons: any correction to q t for unequal end-area effects is better than no correction in soft fine-grained soils, dissipation test results provide valuable information regarding the equilibrium piezometric profile, and penetration pore pressures provide a qualitative evaluation of drainage conditions during the CPT and also assist in evaluating soil behaviour type. Figure 1 shows a comparison between two CPTus carried out only 1 m apart, and illustrates excellent repeatability in terms of both cone resistance and friction ratio (R f = f s / q c %). CPT-04 was carried out using silicon oil and CPT-03 used glycerin as the saturating fluid. The groundwater level was at a depth of about 1.8 m. Both soundings provided similar penetration pore pressures down to about 7 m. After penetration through dense sand at a depth of 6.5 m, CPT-03 recorded negative pore pressures that resulted in a somewhat slower response for the next few metres, after which the response of the two soundings are again similar. At a depth of 8.5 m, the measured pore pressure in CPT-03 is only 33% of the more accurate pore pressure from CPT-04. If only CPT-03 was carried out, it would be difficult to recognize the error in the u 2 measurement. This profile illustrates that although q t and f s can be repeatable, the penetration pore pressures may not always be repeatable throughout the full CPT sounding.
Although Fig. 1 shows excellent repeatability for the sleeve friction measurement, it has been documented (e.g., Lunne et al. 1986 ) that the CPT sleeve friction is generally less accurate than the cone tip resistance. The lack of accuracy in f s measurements is primarily due to the following factors (Lunne and Andersen 2007): Pore pressure effects on the ends of the sleeve. Tolerance in dimensions between the cone and sleeve. Surface roughness of the sleeve. Load cell design and calibration. ASTM standard D5778 (ASTM 2000) specifies the use of an equal end-area friction sleeve to minimize the porepressure effects. All standards have strict limits on dimensional tolerances. The ''International reference test procedure for CPT'' (IRTP) (ISSMFE 1999) has clear specifications on surface roughness. This author prefers a cone design with an independent sleeve friction load cell in compression for improved accuracy. ASTM standard D5778 (ASTM 2000) and the IRTP (ISSMFE 1999) specify zeroload readings before and after each sounding for improved accuracy. With good quality control it is possible to obtain repeatable sleeve friction measurements, as shown in Fig. 1 . However, f s measurements, in general, will be less accurate than tip resistance in most soft fine-grained soils.
Throughout this paper, use will be made of the normalized soil behaviour type (SBTn) chart using normalized CPT parameters. Hence, accuracy in both q t and f s are important, particularly in soft fine-grained soil. Accuracy in f s measurements requires that the CPT be carried out according to the standard (e.g., ASTM D5778) with particular attention to details on tolerances, zero-load readings, and the use of equal end-area friction sleeves.
Soil type
One of the major applications of the CPT has been the determination of soil stratigraphy and the identification of soil type. This has been accomplished using charts that link cone parameters to soil type. Early charts using q c and friction ratio (R f ) were proposed by Douglas and Olsen (1981) , but the charts proposed by Robertson et al. (1986a) and Robertson (1990) have become very popular (e.g., Long 2008) . Robertson et al. (1986a) and Robertson (1990) stressed that the CPT-based charts were predictive of soil behaviour type (SBT), because the cone responds to the in situ mechanical behaviour of the soil and not directly to soil classification criteria based on grain-size distribution and soil plasticity (e.g., Unified Soil Classification System, USCS (ASTM 2006) ). Grain-size distribution and Atterberg limits are measured on disturbed soil samples. Fortunately, soil classification criteria based on grain-size distribution and plasticity often relate reasonably well to in situ soil behaviour and hence, there is often good agreement between USCSbased classification and CPT-based SBT (e.g., Molle 2005) . However, several examples can be given when differences can arise between USCS-based soil types and CPT-based SBT. For example, a soil with 60% sand and 40% fines may be classified as ''silty sand'' (sand-silt mixtures) or ''clayey sand'' (sand-clay mixtures) using the USCS. If the fines have high clay content with high plasticity, the soil behaviour may be more controlled by the clay and the CPTbased SBT will reflect this behaviour and will predict a more clay-like behaviour, such as ''silt mixtures -clayey silt to silty clay'' (Robertson 1990, SBT zone 4) . If the fines are nonplastic, soil behaviour will be controlled more by the sand and the CPT-based SBT would predict a more sandlike soil type, such as ''sand mixtures -silty sand to sandy silt'' (SBT zone 5). Very stiff, heavily overconsolidated fine-grained soils tend to behave more like a coarse-grained soil in that they tend to dilate under shear and can have high undrained shear strength compared with their drained strength and can have a CPT-based SBT in either zone 4 or 5. Soft, saturated low-plastic silts tend to behave more like clays in that they have low undrained shear strength and can have a CPT-based SBT in zone 3 (clays -clay to silty clay). These few examples illustrate that the CPT-based SBT may not always agree with traditional USCS-based soil types based on samples and that the biggest difference is likely to occur in the mixed soils region (i.e., sand mixtures and silt mixtures). Geotechnical engineers are often more interested in the in situ soil behaviour than a classification based only on grain-size distribution and plasticity carried out on disturbed samples, although knowledge of both is helpful. Robertson (1990) proposed using normalized (and dimensionless) cone parameters, Q t1 , F r , and B q , where
where s vo is the in situ total vertical stress, s 0 vo is the in situ effective vertical stress, u 0 is the in situ equilibrium water pressure, and Du is the excess penetration pore pressure.
In the original paper by Robertson (1990) the normalized cone resistance was defined using the term Q t . The term Q t1 is used here to show that the cone resistance is the corrected cone resistance, q t , and the stress exponent for stress normalization is 1.0 (further details are provide in a later section).
In general, the normalized charts provide more reliable identification of SBT than the non-normalized charts, although when the in situ vertical effective stress is between 50 to 150 kPa there is often little difference between normalized SBT (referred to as SBTn in this paper) and non-normalized SBT. The above normalization was based on theoretical work by Wroth (1984) . Robertson (1990) suggested two charts based on either Q t1 -F r and Q t1 -B q , but recommended that the Q t1 -F r chart was generally more reliable. Since 1990 there have been other CPT soil behaviourtype charts developed (e.g., Jefferies and Davies 1991; Olsen and Mitchell 1995; Eslami and Fellenius 1997) . The chart by Eslami and Fellenius (1997) is based on nonnormalized parameters using effective cone resistance, q e (= q t -u 2 ), and f s . The effective cone resistance, q e , suffers from lack of accuracy in soft fine-grained soils, as will be discussed in a later section. Zhang and Tumay (1999) developed a CPT-based soil classification system based on fuzzy logic where the results are presented in the form of percentage soil type (e.g., percentage; clay, silt, and sand size). Because the CPT responds to soil behaviour, it would appear more logical to predict soil behaviour type (SBT) rather than grain-size distribution, although for many soils the two will be similar.
Conceptually, any normalization to account for increasing stress should also account for the important influence of horizontal effective stresses, as penetration resistance is strongly influenced by the horizontal effective stresses (Jamiolkowski and Robertson 1988) . However, this continues to have little practical benefit for most projects without a prior knowledge of in situ horizontal stresses. Even normalization using only vertical effective stress requires some input of soil unit weight and groundwater conditions. Fortunately, commercial software packages have increasingly made this easier and unit weights estimated from the non-normalized SBT charts (Robertson et al. 1986a ) appear to be reasonably effective for many applications (Lunne et al. 1997 ).
Jefferies and Davies (1991) proposed a modified SBTn chart that incorporates the pore pressure directly into a modified normalized cone resistance using Q t1 (1 -B q ). Recently, Jefferies and Been (2006) updated their modified chart using the parameter Q t1 (1 -B q ) + 1, to overcome the problem in soft sensitive soils where B q > 1. Jefferies and Been (2006) noted that
Hence, the parameter Q t1 (1 -B q ) + 1 is simply the effective cone resistance, (q t -u 2 ), normalized by the vertical effective stress. Although incorporating pore pressure into the normalized cone resistance is conceptually attractive, it has practical problems. Accuracy is a major concern in soft fine-grained soils where q t is small compared with u 2 . Hence, the difference (q t -u 2 ) is very small and lacks accuracy and reliability in most soft soils. For most commercial cones, the precision of Q t1 in soft fine-grained soils is about ±20%; whereas, the precision for Q t1 (1 -B q ) + 1 is about ±40%, due to the combined lack of precision in (q tu 2 ). Loss of saturation further complicates this parameter, as illustrated in Fig. 1 . Jefferies and Davies (1993) identified that a soil behaviour type index, I c , could represent the SBTn zones in the Q t1 -F r chart, where I c is essentially the radius of concentric circles that define the boundaries of soil type. Robertson and Wride (1998) modified the definition of I c to apply to the Robertson (1990 ) Q t1 -F r chart, as defined by
Contours of I c are shown in Fig. 2 on the Robertson (1990) Q t1 -F r SBTn chart. The contours of I c can be used to approximate the SBT boundaries. Jefferies and Davies (1993) suggested that the SBT index I c could also be used to modify empirical correlations that vary with soil type. This is a powerful concept and has been used where appropriate in this paper. The form of eq.
[5] and the shape of the contours of I c in Fig. 2 illustrate that I c is not overly sensitive to the potential lack of accuracy of the sleeve friction, f s , but is more controlled by the more accurate tip stress, q t . Research (e.g., Long 2008) has sometimes questioned the reliability of the SBT based on sleeve friction values (e.g., Q t1 -F r charts). However, numerous studies (e.g., Molle 2005) have shown that the normalized charts based on Q t1 -F r provide the best overall success rate for SBT compared with samples. It can be shown, using eq. [5] , that if f s varies by as much as ±50%, the resulting variation in I c is generally less than ±10%. For soft soils, that falls within the lower part of the Q t1 -F r chart (e.g., Q t1 < 20); I c is insensitive to f s . Robertson and Wride (1998) and the update by Zhang et al. (2002) suggested a normalized cone parameter with a variable stress exponent, n, where
where (q t -s vo )/p a is the dimensionless net cone resistance, ðp a =s 0 vo Þ n is the stress normalization factor, p a is atmospheric pressure in the same units as q t and s vo , and n is the stress exponent that varies with SBTn. Note that when n = 1, Q tn = Q t1 . Zhang et al. (2002) suggested that the stress exponent, n, could be estimated using the SBTn index, I c , and that I c should be defined using Q tn .
In recent years there have been several publications regarding the appropriate stress normalization (Olsen and Malone 1988; Boulanger and Idriss 2004; Moss et al. 2006; Cetin and Isik 2007) . The contours of the stress exponent suggested by Cetin and Isik (2007) are very similar to those by Zhang et al. (2002) . Idriss and Boulanger (2004) suggested that the stress exponent should vary with relative density, where the exponent is close to 1.0 in loose sands and less than 0.5 in dense sands. The contours by Moss et al. (2006) are similar to those first suggested by Olsen and Malone (1988) . All the above methods agree that in the clean sand region of the SBTn chart, the stress exponent is typically close to 0.5 and in the clay region, the stress exponent in close to 1.0. Only the SBTn chart suggested by Jefferies and Davies (1991) uses a stress normalization of n = 1.0 throughout. As this is a key point for the interpretation of the CPT results over a wide range of soil types, a more detailed discussion will be provided.
The cone penetration resistance (q t ) is a measure of the shear strength of the soil. In normally consolidated clay, the undrained shear strength increases linearly with increasing vertical effective stress. Hence, the cone resistance (q t ) also increases linearly with increasing vertical effective stress and Wroth (1984) showed that in fine-grained soils the appropriate stress exponent is n = 1.0. In coarse-grained soils, it is well established that the shear strength envelope in terms of shear stress versus effective stress for all but very loose soils is curved over a wide stress range. This curvature was described by Vesic and Clough (1968) and Bolton (1986) . Large calibration chamber studies, and more re-cently centrifuge tests with sands at a constant relative density, have also shown that the cone resistance in coarsegrained soils increases nonlinearly with increasing vertical effective stress. The average stress exponent to capture this change with vertical stress is typically close to n = 0.5 (Baldi et al. 1989 ). The nonlinearity is more pronounced in dense sands than in loose sands (i.e., the stress exponent n is larger in loose sands). Bolton (1986) represented the curvature of the strength envelope by showing that the secant peak friction angle decreases with increasing effective stress, and that the friction angle is essentially constant for very loose sands and is often referred to as the constant volume friction angle (f cv ) or critical state friction angle (f cs ). Hence, Bolton implied that the stress exponent should be close to 1.0 in very loose sands and in dense sands at very high stresses where dilatancy is suppressed and grain crushing occurs. Therefore, the stress exponent (n) for cone resistance should tend toward 1.0 as sand behaviour becomes more contractive (i.e., dilatancy becomes suppressed) and grain crushing becomes more pronounced. The stress level at which grain crushing is predominate and the peak friction angle becomes constant is a function of grain characteristics. Rounded uniform silica sands do not experience significant grain crushing until a mean effective stress at failure of around 2 MPa (Bolton 1986 ); whereas, angular silica sands and silty sands can reach this level at mean effective stresses less than 1 MPa. Crushable sands, such as carbonate sands, can reach this level at a mean effective stress closer to 0.1 MPa. Hence, the stress level at which crushing becomes significant is a function of soil compressibility. The stresses close to the cone during penetration in dense sands can be close to these high values and grain crushing is occurring close to the cone. However, within the sphere of influence around the cone, the average effective stress to fail the sand is not as high as the cone resistance and grain crushing is not occurring everywhere. Boulanger (2003) showed that a generalized critical state line (CSL) can be developed based on Bolton's (1986) relationship. The generalized CSL presented by Boulanger (2003) clearly shows that the CSL (in void ratio -log effective stress space) is almost flat at low mean effective confining stresses (less than 2 atmospheres (200 kPa)) and eventually becomes steep (and similar to that for clays) at very high stresses. A similar curved CSL was confirmed by Jefferies and Been (2006) . When the slope of the CSL is very small, there is a strong link between relative density and state parameter. Wroth (1984) showed that a stress normalization for cone resistance using n = 1 is appropriate when the normally consolidated line is essentially parallel with the CSL. However, in sands, the CSL is clearly nonlinear over a wide stress range and the consolidation lines vary relative to the CSL. Hence, it would appear that critical-state soil mechanics would support the concept of a variable stress exponent to normalize penetration resistance and that the stress exponent can be around 0.5 at low stresses and tending toward 1.0 at high stresses when the CSL line becomes straight and the consolidation line for sands becomes parallel to the CSL. Jefferies and Been (2006) showed that the slope of the CSL was a measure of the compressibility of the soil and that there is a link between the slope of the CSL and the SBTn index, I c . It is therefore possible to estimate soil compressibility and hence, the stress level at which the stress exponent tends toward a value of 1.0 using the CPT SBTn index, I c .
Based on the previous discussion, the following is recommended to allow for a variation of the stress exponent with both SBTn I c and effective overburden stress using The proposed updated contours of n (for s 0 vo =p a ¼ 1:0) are shown in Fig. 3 . Figure 3 shows that for most fine-grained soils, the stress exponent will be 1.0. The stress exponent will range from 0.5 to 0.9 for most coarse-grained soils when in situ vertical stresses are not high. The region where n = 1.0 moves up the chart with increasing confining stress. When the in situ vertical effective stress is greater than 1MPa, the stress exponent will be essentially 1.0 for most soils.
The above recommended normalization is not an arbitrary approach, but is based on experimental observations designed to improve correlations with various geotechnical parameters.
Caution should be used when comparing CPT-based SBT to samples with traditional classification systems based only on grain-size distribution and plasticity. Factors such as changes in stress history, in situ stresses, macro fabric, void ratio, and water content will also influence the CPT response and resulting SBT. The manner in which the excess pore pressures dissipate during a pause in the cone penetration can significantly aid in identifying the soil type. Robertson and Campanella (1983a) discussed how the cone tip resistance is influenced by the soil ahead and behind the cone tip. Ahmadi and Robertson (2005) illustrated this using numerical analyses and confirmed that the cone Robertson (1990).) can sense a soil interface up to 15 cone diameters ahead and behind, depending on the strength-stiffness of the soil and the in situ effective stresses. In strong-stiff soils, the zone of influence is large (up to 15 cone diameters), whereas in soft soils the zone of influence is rather small (as small as one cone diameter). Ahmadi and Robertson (2005) showed that the size of the zone of influence decreased with increasing stress (e.g., dense sands behave more like loose sand at high values of effective stress).
Stratigraphy -transition zones
The zone of influence ahead and behind a cone during penetration will influence the cone resistance at any interface (boundary) between two soil types of significantly different strength and stiffness. Hence, it is often important to identify transitions between different soils types to avoid possible misinterpretation. This issue has become increasingly important with software that provides interpretation of every data point from the CPT. When CPT data are collected at close intervals (typically every 20 to 50 mm) several data points are ''in transition'' when the cone passes an interface between two different soil types (e.g., from sand to clay and vice versa). It is possible to identify the transition from one soil type to another using the rate of change of I c . When the CPT is in transition from sand to clay, the SBTn I c will move from low values in the sand to higher values in the clay. Robertson and Wride (1998) suggested that the approximate boundary between sand-like and clay-like behaviour is around I c = 2.60. Hence, when the rate of change of I c is rapid and is crossing the boundary defined by I c = 2.60, the cone is likely in transition from a sand-like to clay-like soil or vice versa. Profiles of I c can provide a simple means to identify and remove these transition zones.
Drained CPT penetration -coarse-grained soils (cohesionless)
The following section is focused on coarse-grained soils where the penetration process is essentially drained and where most of the geotechnical parameters are based on drained behaviour. Eslaamizaad and Robertson (1997) and Mayne (2000) have shown that the load settlement response for both shallow and deep foundations can be accurately predicted using the measured shear-wave velocity, V s . Although direct measurement of V s is preferred over estimates, relationships with cone resistance are useful for smaller low-risk projects, where V s measurements are not always taken. Schneider et al. (2004) showed that V s in sands is controlled by the number and area of grain-to-grain contacts, which in turn depend on relative density, effective stress state, rearrangement of particles with age, and cementation. Penetration resistance in sands is also controlled by relative density, effective stress state, and to a lesser degree by age and cementation. Thus, although strong relationships between V s and penetration resistance exist, some variability should be expected. There are many existing relationships between cone resistance and V s (or small strain shear modulus, G 0 ), but most were developed for either sands or clays and generally relatively young deposits. The accumulated 20 years of experience with SCPT results enables updated relationships between cone resistance and V s to be developed for a wide range of soils, using the CPT SBTn chart (Q tn -F) as a base. As V s is a direct measure of the small strain shear modulus, G 0 , there can also be improved linkages between CPT results and soil modulus.
Stiffness (modulus)
Based on over 100 SCPT profiles from 22 sites in California combined with published data, a set of contours of normalized shear-wave velocity, V s1 , (Robertson et al. 1992) was developed on the normalized SBT Q tn -F r chart, as shown in Fig. 4 , where
ðin m=sÞ
As the CPT measurements are normalized in terms of Q tn and F r , the resulting shear-wave velocity values are also normalized. The characteristics of the more than 1000 CPT-V s data pairs are summarized in Table 1 . The deposits ranged predominately from the Holocene to Pleistocene age and were mostly uncemented, although cementation was possible in some soils. Andrus et al. (2007) showed that most Holocene-age deposits have V s1 values less than 250 m/s. In general, the Holocene-age data tends to plot in the centerleft portion of the SBTn chart, whereas the Pleistocene-age data tends to plot in the center-right portion of the chart. There was significant scatter in the data pairs, due in part to the variation in depth interval over which the readings were taken. Typically, CPT measurements are taken every 5 cm, whereas V s measurements are taken every 1 to 1.5 m. Part of the scatter may also be due to uncertainty with respect to age and cementation for these natural deposits.
The contours of V s1 in Fig. 4 can be approximated using the following equations (both in m/s):
where a vs is the shear-wave velocity cone factor. As the contour shapes for a vs are similar to those for I c , a vs can be estimated using The contours shown in Fig. 4 were further evaluated and verified using additional published data from other regions of the world (e.g., Schnaid 2005; Andrus et al. 2007 ). Hegazy and Mayne (1995) proposed a relationship between shear-wave velocity and cone resistance as a function of friction ratio. Andrus et al. (2007) suggested a similar relationship for combined Holocene-and Pleistocene-age deposits based on 229 data pairs from California, South Carolina, and Japan. Andrus et al. (2007) suggested a correction factor based on age of the deposit to improve the correlation. Typically, Pleistocene-age soils had V s1 values 25% higher than Holocene-age soils. Knowledge of soil age would improve the correlations, but often the age of the deposit is not always known in advance for most small lowrisk projects. Hence, the general relationship shown in Fig. 4 and eq. [9] is recommended for most Holocene-to Pleistocene-age deposits. The predicted shear-wave velocity using eq.
[10] in Pleistocene-age deposits may be somewhat underestimated. The effectiveness of the proposed relationship will be evaluated further in a later section.
At low shear strain levels (less than about 10 -4 %), the shear modulus in soils is constant and has a maximum value, G 0 . This small strain shear modulus is determined from the shear-wave velocity using the equation
where r is the mass density (or total unit weight divided by the acceleration of gravity) of the soil. Using the V s contours, Fig. 5 shows the associated contours of the small strain shear modulus number, K G , where
where n is a stress exponent that has a value of about 0.5 for most coarse-grained soils. Previous research (Seed and Idriss 1970; Hardin and Drnevich 1972) showed that the modulus number, K G , can vary from 400 to 1600 in young, uncemented, loose to dense sand. These values agree well with the range shown in Fig. 5 .
Relationships between soil modulus and cone resistance can have the general form
where a G is the shear modulus factor for estimating the small strain shear modulus (G 0 ) from net cone resistance (q t -s vo ).
As the stress exponent is similar for the normalization of both Q tn and G 0 in the sand region, it follows that
Hence, it is possible to develop contours of a G that are also shown in Fig. 5 . Although the stress normalization for Q tn varies from the sand to clay region, the error in extending the contours of a G into the clay region is small. Eslaamizaad and showed that for young, uncemented sands, the ratio of G 0 /q t (i.e., a G ) varied with normalized cone resistance. Table 2 shows the approximate range of values from Eslaamizaad and Robertson (1997) . These values compare well with the values shown in Fig. 5 , because in sands q t * (q t -s vo ) and 0.1% < F r < 3%. Robertson and Campanella (1989) showed that the ratio G 0 /q t varied from 20 to 125 for variations in the overconsolidation ratio (OCR) and soil plasticity for clays. These values are also consistent with the range shown in Fig. 5 . Robertson (1995) showed that the value of G 0 /q t varied from 2 to 100 as Q tn changed from 1000 to 1, which is also consistent with Fig. 5 . Eslaamizaad and Robertson (1996a) and Schnaid (2005) showed that it is possible to identify cemented soils using the ratio of G 0 /q t . Hence, if the measured G 0 /(q t -s vo ) (i.e., a G ) is significantly larger than estimated using Fig. 5 , the soils are likely cemented.
It is also possible to estimate the appropriate value of a G from I c based on the link with a vs using 
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Hence, the small strain shear modulus, G 0 , for young, uncemented soils can be estimated using [18] provide a simplified means to estimate the small strain shear modulus over a wide range of soils using CPT data. The relationships shown in Figs. 4 and 5 are less reliable in the region for fine-grained soils (i.e., when I c > 2.60), as the sleeve friction f s and hence F r , are strongly influenced by soil sensitivity. The relationships are generally better in the coarse-grained region (i.e., when I c < 2.60) and are primarily for uncemented, predominately silica-based soils of Holocene and Pleistocene age.
For some applications, engineers require an estimate of the Young's modulus, E', which is linked to the shear modulus via
where y is Poisson's ratio, which ranges from 0.1 to 0.3 for most soils under drained conditions, and G is shear modulus. Hence, for most coarse-grained soils, E' * 2.5G. As the small strain shear modulus, G 0 , applies only at very small strains, there is a need to soften G 0 to a strain level appropriate for design purposes. Eslaamizaad and Robertson (1997) showed that the amount of softening required for design was a function of the degree of loading. Fahey and Carter (1993) suggested a simple approach to estimate the amount of softening using
where q is the applied load (e.g., net bearing pressure for foundations), q ult is the ultimate or failure load (e.g., ultimate bearing capacity for foundations), q/q ult is the degree of loading, and f and g are constants depending on soil type and stress history. Fahey and Carter (1993) and Mayne (2005) suggested that values of f = 1 and g = 0.3 are appropriate for uncemented soils that are not highly structured. For a degree of loading from 0.2 to 0.3, the ratio G/G 0 ranges from 0.30 to 0.38. Hence, for many design applications the appropriate Young's modulus for application in simplified elastic solutions is approximately
Using this ratio, it is possible to create contours of Young's modulus number, K E , on the CPT SBTn chart as shown in Fig. 6 , where
where n is a stress exponent that has a value of about 0.5 for most coarse-grained soils. As the application of Young's modulus, E', is generally only applicable to drained soils, the contours on Fig. 6 are therefore limited to the region defined by I c < 2.60.
Some existing relationships between soil modulus and cone resistance have the form
where a E is the modulus factor for estimating Young's modulus (E') from net cone resistance (q t -s vo ). Most existing relationships use q c , whereas they should be using (q ts vo ), although the error is generally small in sands, where q t >> s vo and q c * (q t -s vo ). As the stress exponent is similar for the normalization of both Q tn and E' in the sand region, it follows that
Hence, it is possible to develop contours of a E that are also shown in Fig. 6 Bellotti et al. (1989) showed that the ratio E'/q c varied between 3 and 12 for aged, normally consolidated sands and between 5 and 20 for overconsolidated sands and was a function of normalized cone resistance. The relationship shown in Fig. 6 indicates that a more appropriate ratio should be E'/(q t -s vo ) and that the range shown in Fig. 6 is consistent with previous work. Figure 6 and eq.
[26] provide a simplified means to estimate the equivalent Young's modulus using CPT data for a wide range of coarse-grained soils. As the appropriate value 5 . Contours of small strain shear modulus number, KG, and modulus factor, aG, on normalized SBTn Qtn-Fr chart for uncemented Holocene-and Pleistocene-age soils. for E' is a function of the degree of loading, it is also possible to vary a E as a function of degree of loading. The values of a E shown in Fig. 6 are for an average degree of loading of about 0.25 (i.e., factor of safety around 4). As the degree of loading increases, the associated value of a E will decrease. To incorporate degree of loading into the estimate of E', the final form would be Recent full-scale footing tests (Briaud and Gibbens 1999; Anderson et al. 2007 ) provide an opportunity to evaluate the above correlation for E' in sandy soils. Briaud and Gibbens (1999) describe several full-scale tests carried out on 3 m by 3 m footings tested at the Texas A & M University test site. The site is composed of about 11 m of sand over clay shale with groundwater at about 5 m. The sands are of the Eocene age and are lightly cemented and overconsolidated. The average net cone resistance, (q t -s vo ), below the footing to a depth of about 7 m was 7.5 MPa and the average SBT index, I c was 1.7 (Q tn = 120, F r = 0.7%). Based on Fig. 4 and eq.
[9], the estimated normalized shear-wave velocity is 220 m/s. The measured shear-wave velocity in the upper 7 m was about 210 m/s, which at an average vertical effective stress of about 50 kPa is a normalized shear-wave velocity of 250 m/s. The predicted normalized shear-wave velocity based on the CPT is slightly smaller than the measured value, which is consistent with the age and cementation of this deposit. The measured ultimate failure load for the 3 m square footing was about 10 MN (i.e., q ult = 1.1 MPa). The predicted ultimate bearing stress based on the CPT and the average cone resistance beneath the footing (q t(av) ) using q ult = 0.16q t(av) (Eslaamizaad and Robertson 1996b ) is 1.2 MPa. Eslaamizaad and Robertson (1997) and Mayne (2000) showed that the load settlement response was well predicted using the measured shear-wave velocity profile at the test site. As the predicted shear-wave velocity is close to the measured value, the suggested approach would also give a good but slightly conservative prediction of the measured load settlement. Anderson et al. (2007) describe a full-scale test on a 1.8 m diameter, 0.6 m thick concrete footing embedded 0.6 m below ground surface over a deposit of silty sand in Florida. Groundwater was 1.7 m below ground surface and the footing was loaded statically to a footing pressure of 222 kPa. The CPT correctly identified that the soil down to a depth of about 5.7 m is composed of sand to silty sand becoming finer with depth. At a depth of 2.5 m there is a thin layer of soft sandy silt. The average normalized cone resistance, Q tn , in the silty sand was 225 in the upper 1.5 m, decreasing to 25 at a depth of 2.5 m then increasing to about 150 at a depth of 3. Robertson and Campanella (1983a) showed that the evaluation of the in situ state in terms of relative density is not very reliable due to variations in compressibility for sands. Sands with high compressibility produce lower cone resistance for the same relative density compared with sands with low compressibility. The compressibility of sands is controlled by grain characteristics, such as grain mineralogy and angularity (e.g., carbonate sands are more compressible than silica sands and angular silica sands are more compressible than rounded silica sands). The evaluation of relative density is also influenced by the age and stress history of the sand (Kulhawy and Mayne 1990) .
In situ state
Based on critical-state concepts, Jefferies and Been (2006) provide a detailed description of the evaluation of the soil state using the CPT. They describe in detail that the inverse problem of evaluating the state from CPT response is complex and depends on several soil parameters. The main parameters are essentially the shear stiffness, shear strength, compressibility, and plastic hardening. Jefferies and Been (2006) provide a description of how the state can be evaluated using a combination of laboratory and in situ tests. They stress the importance of determining the in situ horizontal effective stress and shear modulus using in situ tests and determining the shear strength, compressibility, and plastic hardening parameters from laboratory testing on re- constituted samples. They also show how the inverse problem can be assisted using numerical modeling. For high-risk projects, a detailed interpretation of CPT results using laboratory results and numerical modeling can be appropriate (e.g., Shuttle and Cunning 2007) , although soil variability can complicate the interpretation procedure. For low-risk projects and in the initial screening for high-risk projects, there is a need for a simple estimate of the soil state. Plewes et al. (1992) provided a means to estimate the soil state using the normalized SBT chart suggested by Jefferies and Davies (1991) . Jefferies and Been (2006) updated this approach using the normalized SBT chart based on the parameter Q t1 (1-B q ) + 1. As this author has concerns about the accuracy and precision of the Jefferies and Been (2006) normalized parameter in soft soils, a similar approach can be developed using the normalized SBTn Q tn -F r chart. The contours of state parameter j suggested by Plewes et al. (1992) and Jefferies and Been (2006) were based primarily on calibration chamber results for sands. When the state parameter approach is applied to clays, there is a link between the state parameter and the OCR. Based on the data presented by Jefferies and Been (2006) and Shuttle and Cunning (2007) as well the measurements from the CANLEX project (Wride et al. 2000) for predominately coarse-grained uncemented young soils, combined with the link between the OCR and state parameter in finegrained soil, Fig. 7 shows estimated contours of state parameter j on the updated SBTn Q tn -F chart for uncemented Holocene-age soils. The contours shown in Fig. 7 are approximate, as the stress state and plastic hardening will also influence the estimate of the in situ soil state in the coarsegrained region of the chart (i.e., when I c < 2.60) and soil sensitivity for fine-grained soils. An area of uncertainty in the approach used by Jefferies and Been (2006) is the use of Q t1 rather than Q tn . Figure 7 uses Q tn as it is believed that this form of normalized parameter has a wider application, although this issue may not be fully resolved for some time.
Shear strength
Based on calibration chamber results, Robertson and Campanella (1983a) showed that the peak friction angle (f 0 p ) for clean, uncemented silica sands could be estimated from the normalized cone resistance. Kulhawy and Mayne (1990) updated the relationship based on a larger database. Jefferies and Been (2006) showed that the state parameter is strongly linked to the peak friction angle through soil dilatancy. Using the average relationship between the state parameter and peak friction angle suggested by Jefferies and Been (2006) and the contours of the state parameter shown in Fig. 7 , it is possible to generate approximate contours of the peak friction angle on the SBTn Q tn -F r chart, as shown in Fig. 8 . For comparison, the values of Q tn for various values of the peak friction angle based on Kulhawy and Mayne (1990) are also shown in Fig. 8 . The values of the peak friction angle based on the state parameter are similar to those suggested by Kulhawy and Mayne (1990) in the region 1.8 < I c < 2.2. However, the shape of the contours may partially explain why some published comparisons (e.g. Mayne 2007) between CPT results and laboratory-derived friction angles may not always agree with the empirical correlations by either Robertson and Campanella (1983a) or Kulhawy and Mayne (1990) . Note that as the friction ratio (F r ) increases (and hence, soil compressibility increases) the normalized cone resistance (Q tn ) decreases for a constant peak friction angle. This is consistent with observations of high values of f 0 p in compressible sands with relatively low values of cone resistance, as found, for example, in carbonate sands. The contours of f 0 p will likely move up slightly at high values of F r due to aging and (or) cementation effects.
Undrained CPT penetration -fine-grained soils
The following section focuses on fine-grained soils where the penetration process is essentially undrained and where most of the geotechnical parameters are based on undrained behaviour. In fine-grained soils, it is common to use the normalized cone resistance, Q t1 . However, based on the earlier discussion, when I c > 2.60, Q t1 = Q tn ; hence, the more general term Q tn will be used in this section.
In situ state
For fine-grained soils, the in situ state is usually defined in terms of OCR, where the OCR is defined as the ratio of the maximum past effective consolidation stress and the present effective overburden stress
For mechanically overconsolidated soils where the only change has been the removal of the overburden stress, this definition is appropriate. However, for cemented and (or) aged soils, the OCR may represent the ratio of the yield stress and the present effective overburden stress. The yield stress will depend on the direction and type of loading.
The most common method to estimate the OCR and yield stress in fine-grained soils was suggested by Kulhawy and Mayne (1990) Normalized cone resistance, Q tn Normalized friction ratio, F r ψ = Fig. 7 . Contours of estimated state parameter, j (thick lines), on the normalized Qtn-Fr chart for uncemented Holocene-age soils.
where k is the preconsolidation cone factor and s 0 p is the preconsolidation or yield stress.
An average value of k = 0.33 can be assumed, with an expected range of 0.2 to 0.5. The higher values of k are recommended in aged, heavily overconsolidated clays. If previous experience is available in the same deposit, the values of k should be adjusted to reflect this experience and to provide a more reliable profile of the OCR. Estimates of the OCR using eq. [29] are not strongly influenced by soil sensitivity, as the range of values for k does not vary greatly. This topic will be discussed further in a later section.
Undrained shear strength ratio (s u =s 0 vo ) Application of the undrained strength ratio (s u =s 0 vo ) can be useful since this relates directly to the OCR. Critical-state soil mechanics presents a relationship between the undrained shear strength ratio for normally consolidated fine-grained soil under different directions of loading and the effective stress friction angle, f 0 (Ohta et al. 1985) .
For normally consolidated fine-grained soil, the undrained shear strength ratio ranges from 0.2 to 0.3 (Jamiolkowski et al. 1985) with an average value of 0.22 in direct simple shear; hence, it is often reasonable to assume
½31
ðs u =s 0 vo Þ NC ¼ 0:22 in direct simple shear, where the subscript NC represents normally consolidated.
The peak undrained shear strength ratio can be estimated using
where N kt is a cone factor that varies from about 10 to 20, with an average of 14. Hence, for the general value of N kt = 14
For a normally consolidated fine-grained soil where ðs u =s 0 vo Þ NC ¼ 0:22 and N kt = 14, (Q tn ) NC = 3.08 with a range from 2 to 6. Lunne et al. (1997) and others have shown that the sleeve friction values are often similar to the remolded undrained shear strength of fine-grained soils. Figure 9 shows an example of a comparison between the remolded undrained shear strength measured using the field vane test and the measured CPT sleeve friction at Scoggins Dam (Farrar et al. 2008) . Good agreement was obtained between the sleeve friction measurements and the remolded undrained shear strength. Lunne et al. (1997) correctly caution that in very sensitive soft clays, the small remolded strength can result in very low sleeve friction values with an inherent loss of accuracy. Based on the assumption that the sleeve friction ( f s ) measures the remolded shear strength of the soil (i.e., s u(r) = f s ), the remolded undrained shear strength ratio is given by
½34
s uðrÞ =s
By combining eqs.
[33] and [34] , soil sensitivity, S t , can also be estimated using
where the constant (7.1 in eq.
[35]) varies from about 5 to 10 with an average of about 7.1. This is similar to the value of 7.5 suggested by Rad and Lunne (1986) using the nonnormalized friction ratio (R f ) and the value of 7.3 suggested by Mayne (2007) . Based on eq.
[34], it is possible to represent approximate contours of (s uðrÞ =s 0 vo ) on the normalized SBTn chart, as shown in Fig. 10 . Note that as sensitivity increases, the contours move toward region 1, which is identified as ''sensitive fine-grained soils''. The contours of (s uðrÞ =s 0 vo ) are presented as a guide, as any lack of accuracy in sleeve friction measurements will influence the result.
As shown in eq.
[32], the normalized cone resistance for normally consolidated clay (Q tn ) NC is in the range 2 to 6 with an average of 3.08. Hence, for insensitive normally consolidated fine-grained soil the normalized cone value (Q tn ) ranges between 2 and 6 and falls on or close to the contour for (s uðrÞ =s 0 vo ) = 0.22, as shown in Fig. 10 . As sensitivity increases, the cone factor (N kt ) decreases slightly (Lunne et al. 1997) . Hence, values of Q tn also decrease slightly as sensitivity increases. This variation is illustrated by the arrow in Fig. 10 that shows how normalized cone values Q tn and F r vary with sensitivity for a normally consolidated fine-grained soil. Values of sensitivity (for normally consolidated soils, OCR = 1.0) are also shown on the contours in Fig. 10 .
For insensitive (S t = 1.0) fine-grained soils, it is also possible to identify contours of the OCR using eq.
[29] and asNormalized cone resistance, Q tn Normalized friction ratio, F r Kulhawy and Mayne (1990) φ' p φ' p = 42 suming s u(r) = s u , as shown in Fig. 10 . It is possible to include an arrow that shows how normalized cone values vary with OCR for insensitive fine-grained soil. Figure 10 clearly shows that the normalized cone values, Q tn and F r , in most natural soils, are functions of both the OCR and soil sensitivity (S t ).
The challenge for engineers is to separate the influence of sensitivity and the OCR from the measured values of normalized cone resistance. Figure 10 shows that Q tn is not strongly influenced by soil sensitivity, which explains why estimates of the undrained shear strength ratio and the OCR from Q tn are generally quite reliable. Likewise, F r is not strongly influenced by the OCR, but is more controlled by soil sensitivity. Based on these observations and the fact that N kt is close to 14 for many insensitive fine-grained soils, the following simplified approach to estimate sensitivity and peak undrained strength ratio in direct simple shear is recommended:
If the estimated sensitivity is high, the undrained strength ratio should be modified using smaller values for N kt . If CPT pore-pressure measurements are made, the normalized parameter B q can also be used to estimate N kt , as suggested by Lunne et al. (1997) . For sensitive clays (S t > 10), the value of f s (and hence F r ) can be very low with an inherent loss in accuracy. Hence, the estimate of sensitivity should be used only as a guide. The field vane shear test (VST) can be used to verify soil sensitivity, where appropriate. An alternate but similar approach is to first estimate the OCR via Q tn (eq. [29] ), then estimate the undrained strength ratio via the OCR using relationships based on critical-state soil mechanics to account for direction of loading (Mayne 2008) .
For larger, moderate-to high-risk projects, where additional high quality field and laboratory data may be available, site-specific correlations should be developed based on consistent and relevant values of both s u and the OCR. 
Constrained modulus, M
Consolidation settlements (at the end of primary consolidation) can be estimated using the one-dimensional (1-D) constrained tangent modulus, M, (Lunne et al. 1997) where
vo =C c=r where m v is the equivalent oedometer coefficient of compressibility, ds v is the change in vertical stress, d3 is the change in vertical strain, e 0 is the initial void ratio, and C c/r is the compression index, either C c or C r , depending on s 0 vo . Mayne (2007) has shown that the ratio of M/G 0 varies from 0.02 to 2 for soft clays to sands. Using the link between normalized cone values and G 0 as a starting point, it is possible to develop contours of the constrained modulus number, K M , on the normalized soil behaviour type (SBTn) chart, Q tn -F r , as shown in Fig. 11 , where
where a is a stress exponent. Janbu (1963) showed that the stress exponent (a) was equal to 1.0 for stresses above the preconsolidation stress and zero below the preconsolidation stress (i.e., M is approximately constant below the preconsolidation stress). Hence, at stresses less than the preconsolidation stress
The flat dilatometer test (DMT) has often been shown to provide excellent estimates of settlement using predicted values of the 1-D constrained modulus . The shape and location of the contours of K M were guided by recent correlations between normalized DMT and CPT parameters (Robertson 2009 ). The shape of the contours was also guided by existing relationships between M and net cone resistance (q t -s vo ).
Existing correlations between constrained modulus and cone resistance typically have the form
where a M is the constrained modulus cone factor. Sanglerat (1972) suggested that a M varies with soil plasticity and natural water content for a wide range of finegrained and organic soils, although the data were based on q c . Mayne (2007) showed that a M varied with soil type and net cone resistance with values from 1 to 10, where the low values apply to soft clays.
Based on the contours shown in Fig. 11 
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Equation [42] shows that when Q tn 14, a M varies from about 2 to 14, which is similar to that observed by Mayne (2007) , but there is a clearer link on how to select the appropriate value for a M .
To evaluate the suggested correlation for M for relatively soft, fine-grained soils (clays), where Q tn 14, results from an unpublished database (courtesy of P. Mayne, Georgia Institute of Technology (Georgia Tech), Atlanta, Ga., 2008) of CPT and laboratory results from 13 major clays sites around the world were used and the results presented in Fig. 12 . Figure 12 shows the comparisons between the measured values for the 1-D constrained modulus based on samples and the predicted values based on eq.
[42] using a M = Q tn . The predicted values are in good agreement, but on average slightly larger than the measured values. However, sample disturbance may have made the measured values somewhat low. The largest error was for the Bothkennar site in the UK, which is a structured clay.
The number of published test sites with stiff fine-grained soils, where Q tn > 14, are few (Cowden, UK; Madingley, UK; Piedmont, USA). The results from these three sites indicate a range for a M from 4.5 to 6.5, compared with the suggested value of 14. In stiff clay sites, problems with sample disturbance become significant and laboratory values are almost certainly low. Mayne (2005) has shown that the short-term settlement of footings and piles can be accurately predicted using measured shear-wave velocity in a wide range of clays. As suggested in Fig. 11 , as soils become stiffer, settlements are controlled more by shear stiffness than consolidation.
Although a reasonable correlation exists between predicted and measured values of the constrained modulus based on samples and laboratory testing, it is better to evaluate the proposed correlations using full-scale field tests.
To evaluate the proposed correlations further, the results from a full-scale instrumented test embankment (40 m diameter, 6.7 m height, applied load 104 kPa) constructed at a site in Treporti, Italy, were reviewed (Simonini 2004; Marchetti et al. 2006 ). The test embankment was constructed over a complex system of interbedded sands, silts, and silty clays with inclusions of peat that represent the Venice la- goon. Instrumentation installed and monitored during loading of the embankment made it possible to back-calculate the mobilized 1-D constrained modulus in the various soil layers beneath the embankment. Details on the site conditions, embankment, and instrumentation are provided by Simonini (2004) . Marchetti et al. (2006) presented a summary of the backcalculated moduli from the embankment performance. Values of back-calculated constrained moduli (M) vary from 5 MPa in soft clay to 150 MPa in some sand layers. The high silt content of the deposits produced rapid consolidation. Piezometer readings from the instrumentation indicated no detectable excess pore pressure due to consolidation in any layer during embankment construction. The total settlement under the center of the embankment at the end of construction (i.e., after 180 days) was 360 mm. After 540 days, the total settlement was 480 mm. Hence, secondary settlement was about 25% of the total settlement at 540 days. The measurement of local vertical strains at 1 m depth intervals, down to 57 m, were obtained using high accuracy multiple extensometers. Figure 13a shows the distribution with depth of local vertical strain, 3 v , measured at the center of the embankment at the end of construction (i.e., 180 days) and clearly shows that vertical strains and settlements are mostly concentrated in the shallow soft clay layer at 1.5 to 2 m depth and in the silt layer between 8 and 17 m. A comparison between the vertical and horizontal displacements measured by inclinometers indicated that the total vertical displacements were one order of magnitude greater than the maximum horizontal displacements, i.e., soil compression occurred mostly in the vertical direction. Figure 13b shows a comparison between the back-calculated values of the 1-D constrained moduli and those predicted from the CPT using the proposed relationships. The comparison is very good, especially over the depth interval from 8 to 17 m where much of the vertical strain occurred. Since the back-calculated values were obtained over 1 m intervals, the predicted values from the CPT (measured every 20 mm) shows more variability. The calculated end of primary 1-D settlement using the CPT estimated values for M is 400 mm compared with the measured 360 mm. The results from this instrumented case history provide a better evaluation of the proposed method than the 13 test sites (shown in Fig. 12 ) because the instrumented case history avoids problems associated with sample disturbance and laboratory test accuracy.
The full-scale instrumented test embankment shows that the proposed correlations between CPT and 1-D constrained moduli appear to provide good estimates, at least in normally consolidated soils.
In general, estimates of the 1-D constrained modulus, M, from undrained cone penetration will be approximate. Estimates can be improved with additional information about the soil, such as plasticity index and natural moisture content, where a M is lower for organic soils.
Summary and conclusions
The CPT has major advantages over traditional methods because it is fast, repeatable, and economical. In addition, it provides near-continuous data and has a strong theoretical background. These advantages have led to a steady increase in the use and application of the CPT in North America and many other places around the world. An update on the stress normalization for normalized cone resistance, Q tn , has been provided in an effort to improve the application of the CPT for identifying soil behaviour type and various soil parameters over a wide stress range. CPT parameters can be used to provide an estimate of soil behaviour type (SBT) that may not always agree with traditional soil classifications based on grain-size distribution and soil plasticity. Hence, caution should be used in general when comparing CPT-based SBT to classifications based on samples.
As CPT data are essentially collected continuously, there can be misinterpretation when the cone is in transition at or near an interface between soils of significantly different strength and stiffness. Recommendations are provided to identify these transitions zones using the rate of change of the SBTn index, I c , near the boundary value of 2.60. A number of new empirical correlations have been provided to estimate various key geotechnical parameters from CPT results. Most correlations have been presented in the form of contours on the normalized soil behaviour type chart (SBTn) in terms of normalized parameters Q tn -F r . The correlations for soil modulus (E' and G 0 ) are for predominately uncemented Holocene-and Pleistocene-age soils. New correlations have also been presented to predict the 1-D constrained modulus (M) from normalized CPT parameters. The new correlations have the advantage that they apply over a wide range of soil types and compare favorably with existing correlations and with full-scale instrumented field tests. Additional full-scale field tests will aid in further evaluation and possible adjustment of the proposed correlations.
Trends in the variation of Q tn -F r have been identified for changes in the OCR and soil sensitivity for fine-grained soils that can aid in the separation of these factors from CPT results.
Throughout this paper, use has be made of the normalized soil behaviour type (SBTn) chart using normalized CPT parameters Q tn -F r . Hence, accuracy in both q t and f s are important, particularly in soft fine-grained soil. Accuracy in both q t and f s measurements requires attention to details on unequal end-area effects, tolerance requirements, and zeroload readings. Although sleeve friction, f s , measurements are not always as accurate as cone resistance, q t , the proposed correlations are not overly sensitive to variations in f s . For example, in the central region of the SBTn chart where most soils plot (see Fig. 2 ), a variation in f s of ±50% results in a variation in I c of less than ±10%. Most natural soil deposits are not perfectly homogeneous and there is always some variation in measured CPT parameters. It is often useful to see the measured CPT results plotted on the SBTn charts to evaluate the natural variation. Statistical methods can also be used to quantify the natural variability of CPT results (Lunne et al. 1997) .
Many of the recommendations contained in this paper are focused on low-to moderate-risk projects where traditional methods are appropriate and where empirical interpretation tends to dominate. For projects where more advanced methods are more appropriate, the recommendations provided in this paper can be used as a screening to evaluate critical regions-zones where selective additional in situ testing and sampling maybe appropriate. 
